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A B S T R A C T   

Steel special moment frames (SMFs) represent a common structural solution for buildings in earthquake-prone 
areas. However, when SMFs are selected by structural engineers, one of their main concerns is to satisfy the 
permissible drifts recommended by codes. As a common option, the use of deep columns may be a feasible 
alternative to reduce lateral deformation of SMFs. In this paper, the authors explore the performance of steel 
SMFs with deep columns by evaluating their seismic reliability. Since earthquake-resistant design is moving from 
the prescriptive-code to performance-based seismic design (PBSD), an alternative safety approach is integrated 
with the PBSD philosophy. In this way, SMFs are represented by finite elements and excited by seismic loading 
incorporating all major sources of nonlinearity as material behavior, geometric deformations, and connections of 
structural members. The novel approach is developed using the first-order reliability method, response surface 
method, and an advanced probabilistic scheme. The computational benefits and accuracy of the proposed 
method are validated using traditional Monte Carlo simulation. The implementation potential is showcased with 
the numerical evaluation of three 9-story steel SMFs: the first one using columns of medium size and the other 
two considering deep columns. The seismic reliability is extracted for every model considering serviceability 
performance functions correlated with performance levels of collapse prevention, life safety, and immediate 
occupancy. In addition, the contribution of the post-Northridge connection in the steel SMFs is incorporated. 
Finally, without being too much critical, the use of deep columns in the models of this paper seems to be a step in 
the right direction to reduce weight, decrease cost, and increase structural reliability. However, it must be stated 
that deep columns considered in the models have no instability concern because of their low slenderness ratios.   

1. Introduction 

Seismic force-resisting systems in buildings are designed to resist the 
lateral demand provoked by earthquakes. One of the most popular of 
them are steel special moment frames, hereafter referred as simply 
SMFs. The main advantage of SMFs as a lateral force-resisting system is 
the absence of diagonal braces and/or structural walls as part of their 
elements, which may be very attractive to architects and owners, since 
free view lines can be available in open bays [23]. On the other hand, 
steel SMFs are generally more costly to construct than other type of 
seismic force-resisting systems because they involve the use of heavier 
steel sections and special labor for beam-to-column connections [23]. 

However, since SMFs transmit smaller forces to the foundation, in 
comparison with other lateral force-resisting systems, more economical 
foundation systems are required. In terms of structural design of SMFs, 
the selection of the size of the members is based on three main goals: (1) 
to control drifts below allowable values, (2) to avoid P-delta in
stabilities, and (3) to meet the terms of the strong-column weak-beam 
criteria [2]. Since the late nineties, many structural engineers have been 
implementing deep sections for columns in steel SMFs (W24, W27, and 
larger shapes) to control drifts, meet the strong-column weak-beam 
criteria, and satisfy post-Northridge earthquake requirements. At the 
same time, as a result of several investigations on the structural per
formance of steel SMFs in the aftermath of the 1994 Northridge 
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earthquake [10–16], an important number of researchers started the 
development of studies on the seismic behavior of steel SMFs with deep 
columns, since the majority of the above-mentioned studies were con
ducted using shallow wide-flange column sections (e.g., W14 shapes). 

By the beginning of the 2000 s, Chi & Uang [7] studied the cyclic 
behavior of deep wide-flange column sections and developed procedures 
and recommendations for their seismic design. Such a study was focused 
on the seismic performance of deep column sections when a reduced 
beam section moment connection is implemented. This connection 
became very popular after the 1994 Northridge earthquake because of 
its capability of moving out the plastic hinge formation from the beam- 
to-column flange groove welds. Based on the results documented in the 
above-mentioned research, when deep columns sections are used in steel 
SMFs, extra lateral bracing near the beam-to-column connection may be 
necessary to decrease lateral-torsional buckling amplitude. However, in 
the experimental work, only three columns were tested, and the axial 
load effect was completely ignored. Additionally, just one loading his
tory was applied to the specimens. In the same year, Shen et al. [33] 
published a technical report where several issues related to the use of 
deep columns in steel SMFs were addressed. In brief, they did not report 
any reason to prevent the use of deep column sections in steel SMFs. 
However, only one ground motion was used to excite the structures 
under consideration, creating a necessity to explore the seismic perfor
mance of steel SMFs considering different earthquake excitations. Two 
years later, Sabol [32] indicated that member strength normally does 
not govern the design of SMFs, what really does is the drift requirement. 
In this way, it was justified the use of deep columns in steel SMFs. 
Another contribution to the use of deep columns was reported by Zhang 
& Ricles [38]. In such research, they demonstrated that it was un
founded the vulnerability of steel SMFs with deep columns mainly 
because composite floor slab provides sufficient restraint. Although six 
specimens were considered, the contribution of axial load in columns 
was assumed to be minimal and somehow neglected. Hence, based on 
the previously discussed research and the evolving use of deep sections 
in steel SMFs, in 2011, a research plan to study the seismic performance 
and propose design methods for deep steel beam-column members was 
published [25]. Parallel to such a research program, some other scholars 
continued investigating the seismic performance of steel SMFs with deep 
columns. For example, Sophianopoulos & Deri [35] overviewed the 
possible implementation of them in the European Standards. They 
concluded that the use of steel SMFs with deep columns, particularly 
considering reduced beam section moment connections, is under
estimated in Europe [35]. Furthermore, in 2014, a study was docu
mented where response history analyses were developed for steel SMFs 
considering deep columns. In this research, the seismic behavior of steel 
SMFs was investigated, reaching the conclusion that drifts are reduced 
when deep column sections are implemented [30]. However, neither the 
contribution of the beam-to-column connection nor the full range of 
instabilities that may occur in steel SMFs with deep columns was 
considered. 

In a major advance, an increasing number of studies on the cyclic 
performance of deep wide-flange shapes, used as columns in steel SMFs, 
through experimental and finite element analysis have been reported 
[8,17,9]. The main findings of such investigations are the following: (1) 
results from finite element analyses suggested that modeling recom
mendation for predicting pre-capping rotation is overestimated for steel 
shapes with high web [8], (2) a main issue influencing the behavior of 
deep columns is the global out-of-plane slenderness [17], (3) the effec
tive buckling length of deep columns may be considerably superior than 
its primary value [17], and (4) out-of-plane deformations are amplified 
by bidirectional loading but the overall performance of deep columns is 
not affected [9]. Recent evidence on the seismic collapse response and 
highly ductile limits of steel SMFs with deep columns was documented 
by Wu et al. [36,37]. In such investigations, a set of deep columns 
including a wide range of both local and global slenderness ratios was 
studied to investigate and codify the effects of different web slenderness 

levels, global slenderness, and axial loading [36]. In addition, the 
collapse potential of steel SMFs was reported in terms of column section 
properties, level of column gravity load, and column lateral bracing 
[37]. Based on the findings, design-oriented expressions were proposed 
for highly ductile deep columns, and it was demonstrated that the per
formance of steel SMFs can be better if the axial load levels on exterior 
columns are controlled [36,37]. Therefore, the study of the seismic 
performance of deep columns in steel SMFs is clearly a worldwide topic. 
Recently, the seismic behavior of deep columns employing European 
sections was investigated, making particular emphasis on the design of 
reduced web section connections [5]. In the same direction, the latest 
technological advances have demonstrated the importance of numerical 
and experimental studies of full-scale steel columns in steel SMFs, 
including deep shapes, under complex seismic loading [6]. Moreover, 
latest research demonstrated the importance of ductility demands of 
low-, mid- and high-rise steel buildings with medium and deep columns 
[28]. Finally, recent studies documented by other scholars demonstrated 
that deep, slender columns may experience important flexural strength 
degradation because of plastic hinge formation. The observations were 
validated by full-scale testing and numerical simulations. At the end, 
limits on slenderness ratios were proposed to limit the severity of 
strength degradation and axial shortening in steel SMFs with deep col
umns [27]. 

Despite decades of research on the seismic performance of deep 
columns in steel SMFs, several questions regarding their seismic reli
ability and/or vulnerability remain to be addressed. In general, the 
existing studies are based on deterministic analyses only. In this manner, 
there is a necessity to move forward to the probabilistic examination of 
steel SMFs with deep columns. Thus, uncertainties related to load and 
resistance parameters must be incorporated in the process of safety 
evaluation. Moreover, to extract as accurate as possible their seismic 
performance, several nonlinear response history analyses must be 
considered in the reliability assessment. Alternatively, seismic design is 
moving from the prescriptive-code approach to the performance-based 
seismic design (PBSD) philosophy [20]. Consequently, the incorpora
tion of PBSD philosophy in the calculation of structural reliability is a 
correct step forward into the resilient design of steel SMFs with deep 
columns. Hence, several issues regarding the seismic performance of 
SMFs with deep columns need to be addressed. 

In summary, the main objective and contribution of this paper is to 
extract the seismic reliability of steel SMFs with deep columns with the 
help of a novel reliability approach based on the first order reliability 
method (FORM), response surface method (RSM), and an advanced 
probabilistic scheme; something unique and novel for risk evaluation of 
structures. Uncertainty of both load and resistance parameters is prop
erly integrated in the technical procedure as well as the PBSD philoso
phy. Numerical validation of the proposed method is showcased with 
the help of a 2-story steel SMF which is subjected to three different 
ground motions recorded during the 1994 Northridge earthquake. Re
sults are compared with traditional Monte Carlo Simulation (MCS). 
Once the novel reliability approach is validated, its implementation is 
demonstrated by extracting the seismic risk of three 9-story steel SMFs: 
two of them with deep columns and the other one using shallow shapes. 
Serviceability limit states are evaluated for overall and inter-story drifts, 
respectively, considering collapse prevention (CP), life safety (LS), and 
immediate occupancy (IO) performance levels. In addition, the contri
bution of post-Northridge beam-to-column connection is considered in 
the safety evaluation of the steel SMFs. 

2. Performance-based seismic design philosophy 

During the last two decades, PBSD philosophy has been evolving and 
becoming popular among structural engineers. However, there are still 
several shortcomings in this philosophy, particularly related to the 
achievement of precise definitions of performance objectives, the 
calculation of performance levels, and the extraction of structural 
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reliability using nonlinear response history analyses. According to the 
literature, the use of PBSD for design and/or assessment of structures has 
led to fast developments to improve the attractiveness of this philosophy 
[22]. Technically speaking, the main goal of the PBSD philosophy is to 
design a structure that will perform well when excited by different 
ground motions, satisfying proper performance levels associated to such 
earthquake excitations. In this sense, the two principal objectives of the 
PBSD philosophy are the following: (1) to guarantee that hazards are 
treated consistently by linking structural requirements with perfor
mance expectations, and (2) to assure that the losses are associated with 
damages of the inferred performance expectations. In addition, it has 
been documented that one of the major challenges of the PBSD philos
ophy is the lack of computational tools to extract seismic reliability of 
structures [20]. For a better understanding of the process behind the 
PBSD philosophy, Fig. 1 is introduced. 

Based on what is presented in Fig. 1, the process of the PBSD phi
losophy may be described as follows. First, there must be a consensus on 
the selection of the performance objectives among decision-makers of 
the structure such as the owner, building official, landlord, tenants, etc. 
Then, the structural engineer develops a preliminary design based on the 
idea that it will be capable of meeting the performance objectives. At 
this point, the difficult part of PBSD process where the performance of 
the structure must be evaluated takes place. Finally, if the performance 
of the structure meets the performance objectives, the PBSD process 
comes to an end, if not, the structural design must be revised, and the 
structural performance of the revised design must be re-evaluated. 
Certainly, each step involved in the PBSD process requires a consider
able amount of effort and time. In this paper, the authors propose a novel 
approach as an alternative to evaluate the structural performance of 
steel SMFs in terms of reliability information, something reported as a 
shortcoming in the PBSD philosophy [20]. 

3. Novel approach to extract structural reliability 

Previous discussions have demonstrated the tendency of transferring 
seismic design from deterministic- or prescriptive-code approach to 
PBSD philosophy. In this way, a novel approach to extract structural risk 
of steel SMFs with deep columns is presented in this part of the paper as 
an alternative for PBSD philosophy. This approach can be used as a 
computational tool to evaluate the structural performance in terms of 
reliability index. 

3.1. Finite element representation and analysis 

A very important part of the proposed approach is the finite element 
(FE) representation and analysis of the structure. Thereby, considering 
some of its advantages over the commonly used displacement-based FE 
method (FEM), the Stress-Based FEM is implemented in the approach to 
extract deterministic seismic responses of structures [29,26,30]. The 
Stress-Based FEM presents several advantages, particularly for frame- 

type structures. A comprehensive documentation of the Stress-Based 
FEM is beyond the scope of this paper. However, it is widely docu
mented in the literature where it has been extensively verified by the 
Authors and their research team [29,26,30,18]. 

3.2. Incorporation of Post-Northridge connection behavior 

It is well-recognized that structural reliability must be extracted 
considering the performance of the structure as real as possible. In the 
aftermath of recent earthquakes, a great number of failures in numerous 
beam-to-column connections of steel SMFs have attracted the attention 
of researchers and scholars. In general, it is common that the engi
neering profession represents beam-to-column connections in steel 
structures as either simple (pinned) or rigid (fully restrained). However, 
the most accurate behavior of connections can be achieved by a semi- 
rigid connection. In other words, it is very hard to guarantee a simple 
(pinned) or rigid (fully restrained) connection behavior in steel struc
tures. Thus, in very few cases, the real behavior of the connection is 
incorporated in the process of structural design. In theory, the structural 
behavior of the connection can be integrated in the structural model 
using its moment-rotation (M − θ) curve. In this paper, the structural 
behavior of beam-to-column connections that were proposed right after 
the 1994 Northridge earthquake is included in the FEM formulation. 
Such joint elements, generally known as post-Northridge connections, 
are illustrated in Fig. 2(a). 

The Post-Northridge connection presented in Fig. 2(a) is known as 
slotted-web steel connection [31]. This joint element was proposed to 
increase the ductility and improve the energy absorption during strong 
earthquakes. For a better understanding of the structural behavior of the 
slotted-web beam-to-column connections, several full-scale tests were 
performed following the loading protocol recommendation of the ATC- 
24 [4] report. The results of the tests demonstrated that when slots are 
implemented in the web of the beam, an appropriate structural behavior 
that does not compromise the initial stiffness of the connection is 
observed. Fig. 2(b) shows the general form of the moment-rotation 
(M − θ) curve of the slotted-web steel connection [31]. One of the ben
efits of this connection is that its structural performance can be 
completely defined in terms of four parameters: initial stiffness (ki), 
plastic stiffness (kp), reference moment (M0), and curve shape parameter 
(N). Hence, once ki, kp, M0, and N are properly obtained for a certain 
connection, its respective M − θ curve can be constructed. The discussion 
about the whole formulation of post-Northridge connections is beyond 
the scope of this paper, however, it is widely documented in the litera
ture [31,19]. 

3.3. Unification of RSM and FORM 

One of the most important steps of the novel approach proposed in 
this paper is the unification of the RSM and FORM. In this sense, to 
detect the failure region, an accurate response surface must be generated 
from the seismic performance of the structure. Such a response surface 
can be developed as follows. Based on the fundamental theory of RSM, 
the center point, sampling points, and sampling region of the response 
surface can be selected as [24]: 

Xi = XC
i + hxiσXi where i = 1, 2,⋯, k (1)  

where Xi is the bound or region of the ith random variable; XC
i represents 

the location of the center point corresponding to the ith random variable; 
h is a subjective factor that controls the experimental sampling region; xi 

is the coded variable which takes values of 0, +1, − 1, or 
̅̅̅̅̅
2k4

√
; σXi is the 

standard deviation of the ith random variable; and k is the number of 
random variables used in the reliability analysis. 

Even though Eq. (1) represents a fundamental part of RSM, such a 
formulation does not incorporate distributional information of random Fig. 1. Process of the PBSD philosophy.  
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variables. Furthermore, the selection of the failure region is completely 
arbitrary. Therefore, the authors proposed to integrate RSM and FORM. 
With the help of this unification, the underlying distributional infor
mation of every random variable will be properly incorporated during 
every FORM iteration. However, since FORM is used in the Normal 
variable space, every random variable that is not Normally distributed 
must be transformed to an equivalent Normal random variable at the 
checking point. In this manner, the equivalent standard deviation (σN

Xi
) 

and mean (μN
Xi

) can be extracted as follows [21]: 

σN
Xi
=

∅
{

Φ− 1[FXi

(
x*

i

)] }

fXi (x*
i )

(2)  

and 

μN
Xi
= x*

i − Φ− 1[FXi

(
x*

i

) ]
σN

Xi
(3)  

where ∅() and Φ() represent the probability density and cumulative 
distribution functions, respectively; x*

i is the checking point; and fXi (x*
i )

and FXi (x*
i ) are the probability density and cumulative distribution 

functions, respectively, of the non-normal distributed random variables 
at the checking point. 

Finally, when all the random variables that are not Normally 
distributed are transformed into equivalent Normally distributed 
random variables, the iteration process of FORM will be started by 
replacing XC

i and σXi in Eq. (1) by μN
Xi 

and σN
Xi

, respectively. 

3.4. Polynomial representation of response surface 

The next stage that needs to be documented in this paper is the 
polynomial representation of the response surface. In most of the cases, 
the response of structures subjected to ground motions is expected to be 
nonlinear. Then, the mathematical expression of the response surface 
must be nonlinear as well. Additionally, it is reported in the literature 
that if polynomials greater than second order are selected, there may be 
an ill-condition of the system of equations [24]. Thus, the response 
surface of the structure will be represented by second order polynomials 
without [Eq. (4)] and with [Eq. (5)] cross terms as follows [24]: 

p̂(X) = b0 +
∑k

i=1
biXi +

∑k

i=1
biiX2

i (4)  

and 

p̂(X) = b0 +
∑k

i=1
biXi +

∑k

i=1
biiX2

i +
∑k− 1

i=1

∑k

j>1
bijXiXj (5)  

where b0, bi, bii and bij are the unknown coefficients; Xi is the ith random 
variable from i = 1 to k; and p̂(X) represents the approximate response 
or performance function of the structural response under consideration. 

Two important considerations about Eq. (4) and (5) are efficiency 
and accuracy of their calculation which mainly depend on the estima
tion of the unknown coefficients b0, bi, bii and bij. For example, if one 
uses Eq. (4), the total number of unknown coefficients to be determined 
will be 2k + 1. On the other hand, if Eq. (5) is used, a total of 
(k+1)(k+2)/2 unknown coefficients must be calculated. Consequently, 
if Eq. (5) is used, a more accurate polynomial representation will be 
obtained, but more computational efforts will be required. In addition, 
the definition of the most adequate polynomial representation will 
depend on the number of random variables (k). Hence, an advanced and 
optimal procedure must be implemented to facilitate this process. 

3.5. Advanced probabilistic scheme to select experimental points 

The selection of experimental sampling points around the center 
point is very important in the process to extract the structural reliability. 
In general, this part of the procedure defines the efficiency and accuracy 
that the novel approach may have. In other words, the total number of 
experimental sampling points represents the complete number of 
deterministic finite element analyses required to extract the risk of the 
structure. This aspect represents one of the most time-consuming parts 
of the approach. This is mainly why an advanced probabilistic scheme 
must be proposed for experimental point selection. 

Two commonly used designs for selecting experimental sampling 
points are integrated in this paper as an advanced probabilistic scheme. 
They are: (1) saturated design (SD), and (2) central composite design 
(CCD) [24]. For the implementation of SD, either a second order poly
nomial without [Eq. (4)] or with cross terms [Eq. (5)] is required, and 
the unknown coefficients of the polynomial are generated by solving a 

Fig. 2. Post-Northridge Connection.  
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set of equations. For the generation of a polynomial or response surface 
using SD, the total number of finite element analyses is equal to the total 
number of unknown coefficients. For example, 2k+1 or (k+1)(k+2)/2 
deterministic analyses will be required to construct a polynomial or 
response surface using SD with a polynomial without and with cross 
terms, respectively. In contrast, for the application of CCD, a second 
order polynomial with cross terms is necessary, as the one documented 
in Eq. (5), and regression analysis will be required to extract the un
known coefficients. The total number of deterministic analyses required 
to construct a polynomial with cross terms or response surface using 
CCD is equal to 2k + 2k + 1. Hence, to estimate the reliability of a 
structure considering 80 random variables or k = 80, the total number 
of deterministic finite element analyses required will be 161 and 3321 
for SD with a polynomial without and with cross terms, respectively. 
Conversely, for CCD, it will require 1.20892582 × 1024 analyses. In 
general, SD is more efficient than CCD. On the contrary, CCD is more 
accurate than SD [24]. This justifies the integration of both designs in an 
advanced probabilistic scheme. 

During the generation of the response surface, to maintain accuracy 
and efficiency is the main objective of the proposed novel approach. 
Hence, the authors propose to reduce the number of random variables 
from k to kR; where kR is obviously the reduced number of random 
variables. This reduction is done by evaluating the sensitivity index of 
every random variable which is readily available from the FORM anal
ysis. In this way, during the first iteration, random variables with min
imal sensitivity indexes can be detected and taken as deterministic at 
their mean values in following iterations. For example, suppose that out 
of a total of 80 random variables, only 8 of them are considered very 
sensitive. Then, for this case, it is clear that kR = 8. As a result, the total 
number of deterministic finite element analyses if CCD is implemented 
will be 28 + 2*8 + 1 = 273. Thus, efficiency is not compromised if 
random variables are reduced. Based on the above, the authors propose 
the following probabilistic scheme to be implemented in the novel 
approach. During the first iteration of the method, the required response 
surface or performance function will be constructed using k random 
variables and applying SD with a polynomial without cross terms [see 
Eq. (4)]. Then, with the help of FORM, the sensitivity index of every 
random variable will be extracted. Using such information, only kR 
number of random variables will be considered in all the following it
erations. In this way, for intermediate iterations, SD and a polynomial 
without cross terms [see Eq. (4)] will be used again, but now considering 
kR random variables. Finally, for the last iteration of the novel approach, 
CCD and a polynomial with cross terms [see Eq. (5)] will be imple
mented to extract the final reliability information. For the sake of 
demonstrating the efficiency of the proposed advanced probabilistic 
scheme, imagine that the risk of a structure needs to be calculated with 
k = 80 and kR = 8. Using what is proposed here and supposing that 
three iterations will be necessary for the risk calculation, it can be 
demonstrated that the number of deterministic finite element analyses 
will be (2*k + 1) + (2*kR + 1) +

(
2kR + 2*kR + 1

)
= (2*80 + 1) +

(2*8 + 1) + (28 + 2*8+ 1) = 451. This is more reasonable than per
forming thousands or even millions of deterministic analyses that may 
be required when using other reliability techniques such as traditional 
MCS. 

3.6. Serviceability performance levels 

The next step of the approach is the generation of the required 
response surface in terms of the corresponding serviceability perfor
mance level. Then, if performance levels are known, the information can 
be used to generate the corresponding response surface. Three service
ability performance levels are defined by FEMA-350 [10] which can be 
used in the performance evaluation of steel SMFs: (1) immediate occu
pancy (IO), (2) life safety (LS), and (3) collapse prevention (CP). In 
addition, such serviceability performance levels are correlated to prob
ability of exceedance, earthquake return periods, and allowable drift/ 
overall displacements (δallow), respectively, as summarized in Table 1. 

It is important to mention that the corresponding value of δallow is a 
function of h. In this sense, if overall displacement is being evaluated, h 
will represent the total height of the steel SMF. On the other hand, if 
inter-story drift is being studied, the value of h will be the height of the 
story under evaluation. Thus, the response surface in terms of a specific 
serviceability performance level can be expressed as: 

p(X) = δallow − p̂(X) (6)  

where δallow can be calculated from the information summarized in 
Table 1 for a particular serviceability performance level and p̂(X) is the 
response surface obtained from the alternative approach. 

3.7. Calculation of reliability information 

The calculation of the reliability information of steel SMFs is sum
marized as follows. First, all the required response information will be 
generated at the experimental sampling points by calculating the 
maximum responses provoked by seismic loading using the FEs formu
lation. Then, during the first iteration of the novel approach, an 
approximation of the response surface will be generated using SD and 
Eq. (4). Once the first iteration is over, sensitivity indexes of every 
random variable will be available and a reduction of them will be per
formed from k to kR. Hence, intermediate iterations will start using kR 
number of random variables and another response surface will be con
structed using SD and Eq. (4). Using the updated response surface, 
FORM will be implemented to obtain the first value of the reliability 
index (β). Once the first value of β is extracted, the coordinates of the 
new checking point (x*

i ) or center point will be recalculated as: 

x*
i = μN

Xi
− αiβσN

Xi
(7)  

where αi is the value of the direction cosine which is available from 
every FORM iteration. 

An overall updating process will continue until two consecutive 
values of β converge to a pre-established tolerance level of 0.001. Hence, 
the final iteration will start using CCD and Eq. (5) to generate the last 
response surface. Once β converges, the coordinates of the final checking 
point x*, will be calculated as: 

β =

̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅̅

(x*)
t
(x*)

√

(8) 

A flowchart of the alternative safety approach is illustrated in Fig. 3. 

Table 1 
Serviceability performance levels and allowable drift or overall displacements.  

Serviceability Performance Level Probability of Exceedance Return Period Allowable Drift or Overall Displacement (δallow)

IO 50% in 50 years 72-year 0.007*h 
LS 10% in 50 years 475-year 0.025*h 
CP 2% in 50 years 2475-year 0.050*h  
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4. Uncertainty in load and resistance parameters 

Another important aspect to be documented is the uncertainty in 
load and resistance parameters that must be integrated in the process of 
reliability calculation of the above-mentioned novel approach. In the 
next section, this approach will be implemented in the risk evaluation of 
steel SMFs. In this way, all the structural elements under consideration 
will be represented by W-sections. The uncertainties related to resis
tance parameters are widely reported in the literature [21]. In this 
research, the cross-sectional area (A), moment of inertia (I), Young’s 
modulus (E), yield stress of girders (Fyg) and columns (Fyc) are random 
variables with a Lognormal distribution with coefficient of variation 
(COV) of 0.05, 0.05, 0.06, 0.10, and 0.10, respectively, as shown in 
Table 2. In addition, the uncertainty associated with beam-to-column 
connections is incorporated in the process as well, considering that ki, 
kp, M0, and N are Normally distributed random variables with COV 
values of 0.15, 0.15, 0.15, and 0.05, respectively. In most of the building 

codes around the world, structures must be designed considering dead 
load (DL) and live load (LL). In this study, both types of loads are rep
resented as random variables with a Normal and Type 1 distribution, 
respectively, as summarized in Table 2. Furthermore, DL1 and DL2 
represent the dead load at roof and floor levels, respectively. On the 
other hand, LL1 and LL2 are the live load for roof and floor levels, 
respectively. Moreover, the significance of the uncertainty in seismic 
loading is a challenging aspect to assess, however, it must be incorpo
rated in the structural risk evaluation. As an alternative, the authors 
introduce the random variable ge, representing the intensity of the 
ground motion under study. According to the literature, ge may follow a 
Type 1 distribution [21]. 

Finally, to incorporate the uncertainty in frequency contents of 
ground motions, the PBSD philosophy recommends the use of several 
earthquake records corresponding to specific performance levels. Thus, 
their corresponding probability of exceedance (PE) needs to be esti
mated and related to its corresponding return period. Following this 

Fig. 3. Flowchart of the alternative safety approach.  

Table 2 
Uncertainties in load and resistance parameters.  

Random Variable Distribution Mean Value COV 

A(m2) Lognormal *  0.05 
Ix(m4) Lognormal *  0.05 
E(kN/m2) Lognormal 1.9994E + 08  0.06 
Fyg(kN/m2) Lognormal 2.4822E + 05  0.10 
Fyc(kN/m2) Lognormal 3.4474E + 05  0.10 
ki(kN • m/rad) Normal **  0.15 
kp(kN • m/rad) Normal **  0.15 
M0(kN − m) Normal **  0.15 
N Normal 1.0  0.05 
DL1(kN/m) Normal 31.8055  0.10 
DL2(kN/m) Normal 32.9457  0.10 
LL1(kN/m) Type 1 2.9188  0.25 
LL2(kN/m) Type 1 2.9188  0.25 
ge Type 1 1.00  0.20 

*A and Ix depend on the size of the member. The information can be obtained in the AISC’s steel construction manual [1]. The W-shapes used for every steel SMF will be 
illustrated in Figs. 6–8. 
**Mean values of ki, kp, and M0 depend on the W-shape of the girder used in the beam-to-column connection. Such values can be easily obtained following the 
procedure documented by Gaxiola-Camacho et al. [19].  
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Table 3 
Suite 1 - ground motions associated with 2% PE in 50 years and CP.  

Ground Motion Name SF PGA (g) Mw R(km) Time (sec) 

1 1995 Kobe (N–S)  1.15  1.282  6.9  3.4  25.0 
2 1995 Kobe (E− W)  1.15  0.920  6.9  3.4  25.0 
3 1989 Loma Prieta (N–S)  0.82  0.418  7.0  3.5  20.0 
4 1989 Loma Prieta (E− W)  0.82  0.473  7.0  3.5  20.0 
5 1994 Northridge (N–S)  1.29  0.868  6.7  7.5  14.0 
6 1994 Northridge (E− W)  1.29  0.943  6.7  7.5  14.0 
7 1994 Northridge (N–S)  1.61  0.926  6.7  6.4  15.0 
8 1994 Northridge (E− W)  1.61  1.329  6.7  6.4  15.0 
9 1974 Tabas (N–S)  1.08  0.808  7.4  1.2  25.0 
10 1974 Tabas (E− W)  1.08  0.991  7.4  1.2  25.0 
11 Elysian Park 1 (simulated) (N–S)  1.43  1.295  7.1  17.5  18.0 
12 Elysian Park 1 (simulated) (E− W)  1.43  1.186  7.1  17.5  18.0 
13 Elysian Park 2 (simulated) (N–S)  0.97  0.782  7.1  10.7  18.0 
14 Elysian Park 2 (simulated) (E− W)  0.97  0.680  7.1  10.7  18.0 
15 Elysian Park 3 (simulated) (N–S)  1.1  0.991  7.1  11.2  18.0 
16 Elysian Park 3 (simulated) (E− W)  1.1  1.100  7.1  11.2  18.0 
17 Palos Verdes 1 (simulated) (N–S)  0.9  0.711  7.1  1.5  25.0 
18 Palos Verdes 1 (simulated) (E− W)  0.9  0.776  7.1  1.5  25.0 
19 Palos Verdes 2 (simulated) (N–S)  0.88  0.500  7.1  1.5  25.0 
20 Palos Verdes 2 (simulated) (E− W)  0.88  0.625  7.1  1.5  25.0  

Table 4 
Suite 2 - ground motions associated with 10% PE in 50 years and LS.  

Ground Motion Name SF PGA (g) Mw R(km) Time (sec) 

21 Imperial Valley, 1940 (N–S)  2.01  0.461  6.9 10  25.0 
22 Imperial Valley, 1940 (E− W)  2.01  0.675  6.9 10  25.0 
23 Imperial Valley, 1979 (N–S)  1.01  0.393  6.5 4.1  15.0 
24 Imperial Valley, 1979 (E− W)  1.01  0.488  6.5 4.1  15.0 
25 Imperial Valley, 1979 (N–S)  0.84  0.301  6.5 1.2  15.0 
26 Imperial Valley, 1979 (E− W)  0.84  0.234  6.5 1.2  15.0 
27 Landers, 1992 (N–S)  3.2  0.421  7.3 36  30.0 
28 Landers, 1992 (E− W)  3.2  0.425  7.3 36  30.0 
29 Landers, 1992 (N–S)  2.17  0.519  7.3 25  30.0 
30 Landers, 1992 (E− W)  2.17  0.360  7.3 25  30.0 
31 Loma Prieta, 1989 (N–S)  1.79  0.665  7.0 12.4  16.0 
32 Loma Prieta, 1989 (E− W)  1.79  0.969  7.0 12.4  16.0 
33 Northridge, 1994, Newhall (N–S)  1.03  0.678  6.7 6.7  15.0 
34 Northridge, 1994, Newhall (E− W)  1.03  0.657  6.7 6.7  15.0 
35 Northridge, 1994, Rinaldi (N–S)  0.79  0.533  6.7 7.5  14.0 
36 Northridge, 1994, Rinaldi (E− W)  0.79  0.579  6.7 7.5  14.0 
37 Northridge, 1994, Sylmar (N–S)  0.99  0.569  6.7 6.4  15.0 
38 Northridge, 1994, Sylmar (E− W)  0.99  0.817  6.7 6.4  15.0 
39 North Palm Springs, 1986 (N–S)  2.97  1.018  6.0 6.7  16.0 
40 North Palm Springs, 1986 (E− W)  2.97  0.986  6.0 6.7  16.0  

Table 5 
Suite 3 - ground motions associated with 50% PE in 50 years and IO.  

Ground Motion Name SF PGA (g) Mw R(km) Time (sec) 

41 Coyote Lake, 1979 (N–S)  2.28  0.589  5.7 8.8  12.0 
42 Coyote Lake, 1979 (E− W)  2.28  0.333  5.7 8.8  12.0 
43 Imperial Valley, 1979 (N–S)  0.4  0.143  6.5 1.2  15.0 
44 Imperial Valley, 1979 (E− W)  0.4  0.112  6.5 1.2  15.0 
45 Kern, 1952 (N–S)  2.92  0.144  7.7 107  30.0 
46 Kern, 1952 (E− W)  2.92  0.159  7.7 107  30.0 
47 Landers, 1992 (N–S)  2.63  0.337  7.3 64  25.0 
48 Landers, 1992 (E− W)  2.63  0.307  7.3 64  25.0 
49 Morgan Hill, 1984 (N–S)  2.35  0.318  6.2 15  20.0 
50 Morgan Hill, 1984 (E− W)  2.35  0.546  6.2 15  20.0 
51 Parkfield, 1966, Cholame (N–S)  1.81  0.780  6.1 3.7  15.0 
52 Parkfield, 1966, Cholame (E− W)  1.81  0.631  6.1 3.7  15.0 
53 Parkfield, 1966, Cholame (N–S)  2.92  0.693  6.1 8.0  15.0 
54 Parkfield, 1966, Cholame (E− W)  2.92  0.790  6.1 8.0  15.0 
55 North Palm Springs, 1986 (N–S)  2.75  0.517  6.0 9.6  20.0 
56 North Palm Springs, 1986 (E− W)  2.75  0.379  6.0 9.6  20.0 
57 San Fernando, 1971 (N–S)  1.3  0.253  6.5 1.0  20.0 
58 San Fernando, 1971 (E− W)  1.3  0.231  6.5 1.0  20.0 
59 Whittier, 1987 (N–S)  1.27  0.269  6.0 17  15.0 
60 Whittier, 1987 (E− W)  1.27  0.167  6.0 17  15.0  
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criterion, Somerville [34] generated three suites of ground motion time 
histories related to 2%, 10%, and 50% PE in 50 years, respectively, for 
the Los Angeles (LA) area and correlated them with the performance 
levels of CP, LS, and IO, respectively. For each performance level, ten 
ground motions with two horizontal components (North-South [N-S] 
and East-West [E-W]) were proposed, generating twenty ground mo
tions per suite. In summary, Somerville [34] applied scale factors (SFs) 
to match specific target response spectral values, on average, for several 
periods at 0.3, 1.0, 1.0, and 4.0 s considering a firm soil. Relevant in
formation of such suites of ground motions is summarized in Tables 3–5 
in terms of ground motion, name, SF, peak ground acceleration (PGA), 
magnitude (Mw), hypocentral distance (R), and time. The ground mo
tions reported in Tables 3–5 will be used in the numerical examples of 
the implementation of the novel reliability approach. 

5. Numerical Examples: Validation of the novel reliability 
approach and evaluation of steel SMFs with deep and shallow W- 
Shapes 

In this section, the novel reliability approach is validated with the 
help of a 2-story steel SMF. Results are compared with respect to MCS. 
Once the approach is validated, it is implemented to extract the struc
tural reliability of three 9-story steel SMFs: two of them using deep 
columns sections, and the other one considering the use of shallow W- 
shapes for columns. 

5.1. Computational cost and accuracy validation of the novel reliability 
approach 

To demonstrate the benefits in terms of computational cost and ac
curacy of the novel reliability approach, a 2-story steel SMF is used as a 

benchmark case of study. The steel SMF is subjected to three different 
time histories recorded during the 1994 Northridge earthquake. A small 
steel SMF is studied to facilitate the validation of the novel reliability 
approach using the well-known and traditional MCS. Fig. 4 illustrates 
the 2-story SMF, and the ground motions used for the validation. 

In addition, fully restrained (FR) and partially restrained (PR) type of 
connections are considered for the study. Post-Northridge connections 
(see Fig. 2) with two slots in the web of the beam are used as PR con
nections. The required random variables to extract the reliability in
formation of the 2-story steel SMF are summarized in Table 6. The 
uncertainty associated with random variables is also presented in 
Table 6 in terms of distribution, mean, and COV. 

Furthermore, for this numerical example, the reduction in the 
number of random variables from k to kR is performed in the next 
manner. Since all random variables do not have the same effect, the 
information on sensitivity index can be used to reduce the number of 
them. The sensitivity index of a random variable is its direction cosine. 
Because one of the methods integrating the proposed novel reliability 
approach is FORM, the information on direction cosines of all random 
variables can be readily available just after completing the first iteration 
of the process. Hence, for the 2-story steel SMF presented in Fig. 4, the 
number of random variables in the first iteration is k = 14. Then, for 
intermediate iterations, the number of random variables is reduced to 
kR = 5. Table 7 summarizes the sensitivity indexes for the random 
variables when the steel frame is excited by the Canoga Park station 
record. In Table 7 is observed that only 5 of them are sensitive (AGirders, 
AColumns, DL, LL, and ge). Based on the results of sensitivity indexes, it is 
expected to have highly sensitive indexes for DL, LL, and ge which are 
random variables related to demands acting on the structure. On the 
other hand, it would be expected higher sensitivity indexes for random 
variables related to flexure. However, AGirders and AColumns were reported 

(a)

(b)

(c) (d)

Fig. 4. (a) 2-story steel SMF; (b) Canoga Park station record; (c) Nordhoff fire station record; (d) Roscoe Blvd. station record.  
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Table 6 
Information of random variables of the 2-Story steel SMF.  

Random Variable Distribution Mean (X) COV 

E(kN/m2) Lognormal 1.9995E + 08  0.06 
FyGirders (kN/m2) Lognormal 2.4822E + 05  0.10 
FyColumns (kN/m2) Lognormal 3.4474E + 05  0.10 
A(m2) Lognormal *  0.05 
Ix(m4) Lognormal *  0.05 
DL(kN/m2) Normal 4.0219  0.10 
LL(kN/m2) Type 1 1.1970  0.25 
ki(kN-m/rad) Normal 1.9546E+07  0.15 
kp(kN-m/rad) Normal 4.5194E+03  0.15 
Mo(kN-m) Normal 2.0145E+03  0.15 
N Normal 1.00  0.05 
ge Type 1 1.00  0.20 

*Mean values of A and Ix can be found in steel construction manual [1]. They are considered as random variables for every girder and column. 

Table 7 
Sensitivity Indexes for 2-Story Steel SMF Excited by Canoga Park Record.  

Number Description Random Variable Sensitivity Index 

1 Young’s modulus E 6.74114E− 08 
2 Area of girders AGirders 8.31921E− 01 
3 Moment of inertia of girders IxGirders 5.89643E− 09 
4 Yield stress of girders FyGirders 5.30008E− 08 
5 Area of columns AColumns 8.18823E− 01 
6 Moment of inertia of columns IxColumns 5.60832E− 09 
7 Yield stress of columns FyColumns 6.56371E− 08 
8 Dead Load DL 7.89253E− 01 
9 Live Load LL 7.20382E− 01 
10 Intensity of ground motion ge 9.29832E− 01 
11 Initial stiffness of connections ki 3.87426E− 09 
12 Plastic stiffness of connections kp 8.21563E− 08 
13 Reference moment of connections Mo 7.57319E− 09 
14 Curve shape parameter of connections N 2.15973E− 10  

Table 8 
Validation Results for 2-Story steel SMF.  

Earthquake Performance Function Method FR PR (post-Northridge) 

β (NFEA) pf β (NFEA) pf 

Canoga Park Station Overall Drift Alternative 
Reliability 
Approach 

3.5232 
(94)  

0.000213 3.6208 
(94)  

0.000147 

MCS 3.5149 
(50,000)  

0.000220 3.6331 
(50,000)  

0.000140 

Inter-story Drift Alternative 
Reliability 
Approach 

3.2429 
(94)  

0.000592 3.3357 
(94)  

0.000425 

MCS 3.2389 
(50,000)  

0.000600 3.3139 
(50,000)  

0.000460  

Nordhoff Fire Station Overall Drift Alternative 
Reliability 
Approach 

3.6949 
(94)  

0.000110 3.8853 
(94)  

0.000051 

MCS 3.7190 
(50,000)  

0.000100 3.8461 
(50,000)  

0.000060 

Inter-story Drift Alternative 
Reliability 
Approach 

3.2954 
(94)  

0.000491 3.5170 
(94)  

0.000218 

MCS 3.3139 
(50,000)  

0.000460 3.5149 
(50,000)  

0.000220  

Roscoe Blvd Station Overall Drift Alternative 
Reliability 
Approach 

3.6508 
(94)  

0.000131 3.9039 
(94)  

0.000040 

MCS 3.6331 
(50,000)  

0.000140 4.1075 
(50,000)  

0.000020 

Inter-story Drift NRT 3.2528 
(94)  

0.000571 3.5969 
(94)  

0.000161 

MCS 3.2585 
(50,000)  

0.000560 3.5985 
(50,000)  

0.000160  
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to be more sensitive. This is justified because of the high uncertainty of 
seismic loading, particularly in the content of frequencies of the accel
erograms. It was found as well by the authors that for Roscoe Blvd. and 
Nordhoff fire station earthquakes, the values of k and kR for the 2-Story 
steel SMF are equal to 14 and 5, respectively. 

Reliability index,β, and pf are extracted using the novel reliability 
approach for both overall lateral and inter-story drift at the second-floor 
level, respectively. The permissible overall lateral and inter-story drift 
are 2.86 and 1.43 cm, respectively. The β and pf values for overall and 
inter-story drift are summarized in Table 8. They are estimated using 
50,000 cycles of MCS. In other words, to extract the reliability of the 2- 
Story steel SMF, the number of finite element analyses (NFEA) required 
for the MCS were 50,000. On the other hand, using the novel reliability 
approach, the NFEA was limited to only 94, representing an outstanding 

improvement in terms of computational cost. Furthermore, in all cases, 
the β and pf values obtained by the alternative reliability approach and 
MCS are quite similar indicating that the proposed method is accurate. 

5.2. Steel SMFs models with shallow (W14) and deep (W27) column 
sections 

The steel SMFs models are based on one of the buildings documented 
in FEMA-355C [15] report. The plan view of the building studied in this 
paper and the elevation of the steel SMF are illustrated in Fig. 5. It is 
important to mention that the steel building illustrated in Fig. 5 was 
designed by three consulting firms in the USA following the code spec
ifications of the late nineties. In addition, for this research, only the 
exterior frame of the building which is enclosed by a rectangle in Fig. 5 
(a) is used for the seismic risk analysis. 

As previously mentioned, three steel SMFs are used in this paper to 
study the contribution of the size of the column in the seismic reliability 
assessment. The first model is illustrated in Fig. 6. It can be observed in 
Fig. 6 that only W14 sections are used for the columns of the steel SMF, 
which can be categorized as shallow W-shapes. Thus, based on the ob
jectives of this paper, two other structural configurations were designed 
maintaining the same geometry of the steel SMF illustrated in Fig. 5(b). 

In this way, a second steel SMF was designed according to a criterion 
based on equivalent strength which is described as follows. Plastic mo
ments with respect to the major axis were approximately the same as 
those of the model of shallow W-shapes (W14). Then, deep sections were 
selected for the new steel SMF using W27 shapes as presented in Fig. 7. 
The resulting model guarantees, in certain way, an equivalence in terms 
of strength. It can be demonstrated that the weight of columns using 
W14 sections (see Fig. 6) is 60% higher than the weight of columns with 
W27 steel shapes (see Fig. 7). This will represent a higher cost for the 
steel SMF with W14 shallow shapes (see Fig. 6). The third steel SMF was 
designed considering equivalence in terms of weight. In other words, the 

Fig. 5. Geometry of the building.  Fig. 6. Steel SMFs with W14 columns – Model 1.  
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structural design was obtained using deep column sections (W27) to 
approximately have the same weight as columns of the steel SMF with 
shallow W14 shapes (see Fig. 6). The steel SMF considering equivalence 
in weight is illustrated in Fig. 8. For the sake of discussion, hereafter the 
model using W14 column sections will be named Model 1, the steel SMF 
considering equivalence in strength will be Model 2, and the steel SMF 
based on equivalent weight of columns will be called Model 3. 

5.3. Results of steel SMFs with shallow (W14) and deep (W27) column 
sections 

Results in this section are presented in terms of the reliability index 
(β) extracted by implementing the novel approach. The three steel SMFs 
were excited by each of the ground motions reported in Tables 3–5, to 
consider CP, LS, and IO performance levels, respectively. For overall 
drift, serviceability limits of 185.85, 92.93, and 26.02 cm were evalu
ated corresponding to CP, LS, and IO performance levels, respectively. 
On the other hand, inter-story drift was studied for the 4th floor of every 
steel SMF. For this case, serviceability limits of 16.8, 8.4, and 2.35 cm 
were utilized with respect to CP, LS, and IO performance levels, 
respectively. In addition, reliability indexes are calculated considering 
FR and PR beam-to-column connections. For the case of PR results, the 
structural behavior of post-Northridge connections is incorporated in 
the process of reliability calculation (see Fig. 2). To have a structural 
safety limit, the probability of collapse (PC) is incorporated. Based on 
what is reported in ASCE 7-16 [3], PC of structures must be at most 10% 
which in terms of β is 1.25. For Model 1, 2, and 3, the total and reduced 
number of random variables are k = 91 and kR = 7, respectively. 

Structural reliability results of Model 1 (steel SMF with W14 col
umns) are illustrated in Figs. 9 and 10 corresponding to overall drift and 
inter-story drift, respectively. For all ground motions, it can be noted 
that all β values are greater than the PC limit indicating that the struc
ture is safe. It is important to mention that β values considering PR 
connections are very similar to those of FR connections. This may be an 
indicator of the good performance of post-Northridge beam to column 
connections. For every performance level, the frequency contents of 
time histories played an important role in the reliability calculation. This 
is demonstrated by the variation of the β values. 

Figs. 11 and 12 illustrate the reliability indexes of Model 2 (steel SMF 
with W27 sections based on equivalent strength). Since all values of β 
are greater than 1.25, it is demonstrated that Model 2 is safe for every 
ground motion excitation. It is observed that the reliability of the 
structure with PR connections is very comparable with reference to FR 
connections. The values of β calculated for the two components (N-S and 
E-W) of the same ground motion are different. This demonstrates the 
fact that designing a structure for one design earthquake time history is 
inadequate. Thus, designing a structure using multiple time histories, as 
suggested in recent design guidelines [3], is correct. 

The reliability results of Model 3 (steel SMF with W27 sections based 
on equivalent weight) are presented in Figs. 13 and 14. The results 
demonstrate that the risk of the structure is above the PC limit for every 
ground motion under consideration. Model 3, as well as Models 1 and 2, 
are safe for CP, LS, and IO performance levels, respectively. Variation 
between β values indicate that steel SMFs respond differently depending 
on the frequency contents of the ground motions. Lastly, from the above 
results, the authors believe that permissible values suggested in design 
guidelines [10] are acceptable. In brief, it can be stated that β values are 
within a range that satisfies the intent of the code. 

Up to this point, in Figs. 9-14, the reliability indexes of the models 
were studied considering PR and FR beam-to-column connections for 
CP, LS, and IO, respectively. In addition, two serviceability limit states 
were evaluated: (1) overall drift, and (2) inter-story drift, respectively. 
To complement the discussion about the results, the authors introduce 
Table 9 where the mean values of the reliability index (βμ) are sum
marized with respect to serviceability limit states, performance levels, 
and type of connections (FR and PR). On average, in all cases, it is 

Fig. 7. Steel SMFs with W27 deep columns – Equivalent strength – Model 2.  

Fig. 8. Steel SMFs with W27 deep columns –Equivalent weight – Model 3.  
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Fig. 9. Reliability index of overall drift – Model 1.  

Fig. 10. Reliability index of inter-story drift – Model 1.  

Fig. 11. Reliability index of overall drift – Model 2.  

Fig. 12. Reliability index of inter-story drift – Model 2.  

Fig. 13. Reliability index of overall drift – Model 3.  
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observed that inter-story drift is more critical than overall displacement, 
which reflects the difficulty of satisfying both serviceability limit states 
with the same reliability. However, although βμ values for inter-story 
drifts are smaller with respect to the βμ values of overall drift, both 
serviceability limit states satisfy the PC threshold of 1.25. One more 
important observation with reference to Table 9 is that, for all cases, 
Model 1 is less reliable than Model 2 and 3, and at the same time the 
safest of the three steel SMFs is Model 3, which is the one with deep W27 
columns with approximately the same weight as the steel SMF with W14 
columns. In other words, based on this observation, steel SMFs with 
deep columns (W27) may improve the structural reliability compared to 
those using shallow W-shapes (W14). The last observation with respect 

to Table 9 is the following. When a post-Northridge connection is used in 
steel SMFs, the structural reliability of the structure can be improved by 
the increase of its reliability index. Thus, the introduction of this 
connection right after the 1994 Northridge earthquake was a step in the 
right direction. 

To demonstrate the positive contribution of the use of post- 
Northridge beam-to-column connections, Fig. 15 is introduced. It can 
be observed that, for most of the cases, reliability indexes of both 
serviceability limit state functions are slightly greater for the case of PR 
post-Northridge connections, demonstrating the improvement of struc
tural safety. 

Fig. 14. Reliability index of inter-story drift – Model 3.  

Table 9 
Mean values of reliability index of Models 1, 2, and 3.  

Model Performance Level Serviceability Limit State 

Overall Drift Inter-story Drift 

βμ(FR) βμ(PR) βμ(FR) βμ(PR) 

1 CP (2% PE in 50 years)  5.5262  5.7459  4.9718  5.1187 
LS (10% PE in 50 years)  6.0401  6.1730  5.5775  5.6823 
IO (50% PE in 50 years)  4.4941  4.4882  3.9569  4.0673  

2 CP (2% PE in 50 years)  6.0233  6.1416  5.4823  5.6552 
LS (10% PE in 50 years)  6.2807  6.4339  5.7798  5.9337 
IO (50% PE in 50 years)  4.6415  4.8190  4.0694  4.2622  

3 CP (2% PE in 50 years)  6.5993  6.8298  6.0444  6.2830 
LS (10% PE in 50 years)  6.5873  6.8702  6.1944  6.2851 
IO (50% PE in 50 years)  4.8784  5.1307  4.2768  4.3737  

Fig. 15. Reliability of FR and PR Post-Northridge Connections.  
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6. Conclusions 

Based on the results of this paper, the following conclusions can be 
documented. 

A novel approach to extract structural safety of steel SMFs based on 
the PBSD philosophy is proposed. Such a technique can be considered as 
an alternative in comparison with other reliability techniques available 
in the literature. 

The structural risk is extracted considering two serviceability limit 
state performance functions: (1) overall drift, and (2) inter-story drift, 
respectively. Based on the results, it is documented that inter-story drift 
is more critical than overall drift. 

It is reported that the structural safety of steel SMFs can be improved 
if a post-Northridge connection is implemented. 

The variability in the values of the reliability indexes for each of the 
steel SMFs clearly indicates the importance of frequency contents in the 
different ground motions considered in the study. 

The structural safety of the steel SMFs with deep columns sections 
(W27) was demonstrated to be superior to the one with shallow columns 
(W14). Thus, the use of deep columns (W27) is a feasible option to in
crease the structural safety of steel SMFs. 

Without compromising structural safety, the use of deep columns 
(W27) may provide a considerable reduction of weight and cost of steel 
SMFs. 

For all the cases, the structural reliability was greater than the PC 
limit. This indicates that all the steel SMFs studied represent secure 
structures. 

The above-documented conclusions represent a positive step forward 
into the efficient and accurate seismic reliability evaluation of steel 
SMFs with deep columns. However, since only three steel SMFs are 
considered in this study, other structural configurations of steel SMFs 
with deep columns must be explored in future investigations. Further
more, particular attention must be paid to global and local slenderness 
ratios as well as axial load levels to guarantee ductile behavior of deep 
columns. 
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